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Introduction

Seismic design of steel structures is a broad topic. For example,
in the United States the latest edition of “Seismic Provisions for
Structural Steel Buildings” [more contemporarily referred to as
AISC-341-16 or ANSI/AISC-341-16 (AISC 2016b)] has grown
to rival in size a separate document, “Specification for Structural
Steel Buildings” used for nonseismic design (ANSI/AISC 360-16).
Thus, detailed review of all design and detailing requirements for
the seismic design of steel structures, and the reasons for their exist-
ence, goes far beyond the scope of a technical paper—books, book
chapters, design guides, and continuing-education courses already
provide such comprehensive presentations (e.g., Bruneau et al.
2011; Hamburger and Malley 2016; Kersting et al. 2015; Sabelli
et al. 2013; Naeim 2001).

This state-of-the-art review, in a complementary manner, ven-
tures to provide an overview of how the philosophy of steel seismic
design has evolved in recent decades, as driven by new develop-
ments, the occurrence of significant earthquakes, and changes in
earthquake engineering practice. Following a brief look at how de-
sign codes have generally approached seismic design over the past
decades, and a description of how the 1994 Northridge, California,
earthquake represents a pivotal point in the seismic design of steel
structures, the paper briefly describes the main structural steel sys-
tems commonly used in seismic design and highlights important
aspects of the ductility requirements for all such systems. Also de-
scribed are issues related to capacity design. Recent developments
in practice related to proprietary and innovative systems are
touched upon.

Much of the focus here is on historical perspectives, given the
legacy that has driven many aspects of the seismic design of steel
structures and that explains some limitations in current knowledge.
This is done with the caveat that such an introspective review, given
the space limitations of a technical paper, risks being incomplete
and somewhat (unintentionally) subjective. Nonetheless, although
a comprehensive review of all research and perspectives on this
broad topic is beyond the scope of this paper, the objective here
is to provide the reader with an appreciation of the current seismic
design requirements for steel structures as currently framed. This
state-of-the-art review is linked to the design requirements of the
AISC Seismic Provisions for the sake of anchoring its observations
in a practical framework; it should not be construed as a negative
critique of them. For simplicity, the review focuses only on U.S.
practice, but is broader in reach because international practice and
developments have generally traveled a similar path; many of the
unresolved design questions highlighted here are not unique to the
United States.

Seismic Steel Design Eras in Building Codes

The evolution of the seismic design of steel structures in the past
half-century can be roughly divided into three eras. Prior to 1988,
both general seismic loading provisions and material-related seis-
mic design provisions (including those for steel structures) were
typically integrated in a single document: the locally adopted model
building code. In those days, seismic design of low-rise and midrise
buildings without major irregularities used the “equivalent lateral
force” method. For example, in the 1985 Uniform Building Code
(UBC) (ICBO 1985) the base shear for working stress design was
specified as

Vw ¼ ðZIKCSÞW ð1Þ
where the horizontal force factor, K = factor accounting for the
relative ductility and energy dissipation of building systems.

Buildings were grouped into four types based on their
earthquake-resisting elements, with K equal to 0.67, 0.80, 1.0,
and 1.33 for seismic force–resisting systems (SFRSs), respectively,
defined as moment-resisting frame systems, dual systems, building
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frame systems (for all systems not in the other three categories), and
bearing wall systems. For steel buildings, only the ductile moment-
resisting space frame (DMRSF) could be designed for the lowest
seismic base shear, with K ¼ 0.67. For application in high seismic
regions, additional design requirements were few. The only require-
ment for members of steel DMRSFs was that “Members in which
hinges will form during inelastic displacement of the frames shall
comply with the requirement for plastic design sections.” For
capacity design, it was specified that “Each beam or girder moment
connection to a column shall be capable of developing in the beam
the full plastic capacity of the beam or girder.”

For braced frames in moderate to high seismic regions, all
members needed to be designed for 1.25 times the prescribed seis-
mic forces; connections needed to be designed to develop either
the full capacity of the members or the prescribed seismic forces
without the one-third increase usually permitted in working stress
design for stresses resulting from earthquake forces. Significantly,
these requirements were based on the SEAOC recommendations
(SEAOC 1980).

The 1988 edition of the UBC (ICBO 1988) began the second era
of seismic steel design. On the seismic loadings side for base shear
calculation, this edition abandoned the format of Eq. (1), that relied
on empirical K factors. Instead, a response modification factor, Rw,
was used to calculate Vw for working stress design, where

Vw ¼ ðZIC=RwÞW ð2Þ

Based on the vertical components in the SFRS, each category
was further divided into several classes with their associated Rw val-
ues. More significantly, specific ductility design requirements for
special moment-resisting space frames (SMRSFs), concentrically
braced frames (CBFs), and eccentrically braced frames (EBFs) were
provided; a prescriptive girder-to-column moment connection for
SMRSFs was codified; and the concept of capacity design was in-
troduced (e.g., prescribing the use of amplified seismic load to
protect columns from global failure). Based on the 1988 UBC, the
first edition of the AISC Seismic Provisions was published in 1990
(AISC 1990). This seismic steel design practice continued through
the 1994 UBC edition.

The trigger for the third era, as far as seismic steel design is
concerned, was the Northridge, California, earthquake that oc-
curred on January 17, 1994. This event drastically changed the
seismic research, design, and construction of steel buildings in the
United States and is fully addressed in a subsequent section.

For most of the previous century, three model building codes
were predominantly and broadly used in different parts of the
United States (a model building code serves as a reference, being
adopted with or without modifications by local building codes in
the United States, which has no mandatory national code). In the
1990s, there was an effort to unify all three codes into one, resulting
in the creation of the International Building Code (IBC), which
references ASCE 7 (ASCE 2016) for its design earthquake loads
and the AISC Seismic Provisions for its seismic steel design re-
quirements. To provide specific design requirements for the SFRSs
listed in ASCE 7, starting with the 2010 edition, the AISC Seismic
Provisions grouped steel SFRSs into the two categories: moment
frame systems as well as braced frame and shear wall systems.

Although it appears that the ASCE 7 standard covers the re-
quired seismic forces (i.e., the load effect side) and that the AISC
Seismic Provisions deal with design strengths (i.e., the resistance
side) of steel members and components, these two standards are
related to each other in an implicit, yet significant, way through
the response modification factor, R. Furthermore, because the seis-
mic load effect is also coupled with the actual strengths of the

members and the entire structure, the AISC Seismic Provisions
cover requirements not only for the resistance side but also for the
required earthquake load effect side. Ductility design and capacity
design are two pillars of the seismic design of structures. To pave
the way for the presentation to follow, the relationship between
these two design concepts and the R factor approach is briefly pre-
sented next.

Ductility Design, Capacity Design, and R Factor

Fig. 1 shows the expected structural response of an SFRS designed
for a design earthquake. Point E represents the required seismic
force level if the structure remains elastic. Because this force level
can be high, say above 1 g times the reactive seismic mass of the
building in high seismic regions, modern seismic codes accept
the concept that damage is allowed for economic considerations.
To facilitate routine elastic design (equivalent lateral load or modal
response spectrum analysis), the seismic force at Point E is reduced
to that at Point S by a response modification factor, R, for strength
design; Point S represents the first significant event (e.g., plastic
hinge formation in a beam in a moment frame, or brace buckling
in a concentrically braced frame) beyond which the structure
responds in the inelastic range (for working stress design, Point
E is further reduced to Point W by an Rw factor). When the structure
is redundant, with ductility built into members that are expected
to undergo inelasticity, the structure deforms further beyond Point
S to its maximum strength at Point M and degrades to Point U if
strength degradation due, for example, to member buckling or the
P-Δ effect, occurs. Therefore, the R factor is mainly composed of
two components (Freeman 1990; Uang 1991; NIST 2012)

R ¼ RμΩo ð3Þ

where Rμ (¼Ce=Cy) = ductility reduction factor at the system level;
and Ωo (¼Cy=Cs) = system overstrength factor.

A few observations can be made about the R-factor design
procedure:
• The structure is expected to deform into the inelastic range be-

cause damage is accepted in a design earthquake for economic
reasons;

• The R factor was developed mainly for convenience in routine
design because elastic analysis is still valid for structural perfor-
mance evaluation at Point S;

• Ductility (i.e., inelastic deformation capacity) is needed for
structural components expected to experience inelasticity; and

Fig. 1. Typical structural response and system performance factors
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• Ultimate lateral strength at the system level (Point M) can be
much higher than that at Point S, where an elastic analysis is
performed.
Regarding the first bullet entry, seismic codes set a target plastic

mechanism for each SFRS for energy dissipation that minimizes
inelastic deformation demand while maintaining the gravity load–
carrying capacity. Taking moment frame design as an example,
a classical plastic design may allow plastic hinges to form in either
beams or columns if the ultimate strength of the frame is no less
than that required. For seismic design, however, codes aim to
achieve a more desirable plastic mechanism that limits the prema-
ture formation of story mechanisms by promoting hinging in beams
and limiting it in columns. Although the R factor associated with
the target plastic mechanism of each SFRS is given in ASCE 7, the
designer relies on the AISC Seismic Provisions to ensure that suf-
ficient ductility capacity in the third bullet entry just given is built
into these systems.

For structural elements that are designed to remain essentially
elastic and do not undergo energy dissipation in a seismic event, the
fourth bullet entry implies that the horizontal seismic load effect
is significantly higher than that computed in accordance with
the second bullet entry. The capacity design principles are then used
to compute the seismic load effect in these structural components.
Because the required seismic forces needed for capacity design cor-
respond to the seismic force level at Point M, conceptually a non-
linear analysis is needed. To bypass nonlinear response analysis
for routine design, ASCE 7 uses an empirical overstrength factor,
Ωo, to amplify the seismic force effect from Point S to Point M.
This amplified effect, equal to the value obtained from the code-
specified earthquake load, Eh, multiplied by Ωo and termed Emh,
has been specified as not needing to be larger than the value com-
puted from a plastic analysis using the realistic expected values
of material strengths, termed Ecl (in 2016 ASCE 7 terminology).
Although convenient, multiplying Eh by Ωo has been recognized as
flawed because it fails to capture the redistribution of forces that
typically occur during nonlinear response and that may affect de-
mands on the elements that are intended to be protected by capacity
design principles. Whenever possible, procedures to compute Ecl
have been provided in the AISC Seismic Provisions, and in the
2016 edition AISC requires that Ecl, when specified, be used as the
value of Emh for capacity design even if it exceeds that computed
based on the Ωo factor.

Impact of the 1994 Northridge Earthquake

The 1994 Northridge, California, earthquake might have had more
impact on seismic steel research, design, and construction practice
than any other seismic event in the United States. Prior to it, steel
special moment-resisting space frames, or simply special moment
frames (SMFs), were thought to be a premier system for earthquake
resistance, with the highest Rw value (or the lowest K value) since
the 1960s. It was expected that ductile response in the form of beam
flexural hinging at the column face, shear yielding in the column
panel zone, or a combination of the two would occur such that a
ductile plastic mechanism would form in the frame. However, dur-
ing the Northridge event, with little sign of plastic deformation in
the beams, brittle fracture of beam-to-column moment connections
occurred in many multistory steel buildings; those with reported
connection damage ranged in height from single story to 26 stories
and in age from new at the time of the earthquake to 30 years.
The connections in question had beam flanges welded to the col-
umn flange with complete-joint-penetration (CJP) groove welds
and beam web bolted to the column flange with a shear plate

(FEMA 2000j). Based on limited test data (Popov and Stephen
1970; Krawinkler et al. 1971; Popov et al. 1985; Popov and Tsai
1989), this type of welded flange–bolted web connection (Fig. 2)
became popular on the West Coast. It was not until the 1988 UBC
that this so-called pre-Northridge connection was approved as the
only one prequalified for SMF construction. Based on testing of
connections with W30 beams, Englehardt and Hussain (1993) pub-
lished a paper shortly before the earthquake that raised concerns
about the reliability of this type of moment connection.

Immediately after the Northridge earthquake, a multiyear U.S.
effort known as the SAC Joint Venture, combining the expertise
of design engineers, academics, fabricators, and steel and welding
consumables producers, was initiated to investigate the cause of the
Northridge fractures and to develop better design and construction
practice. The outcome of this effort was documented by FEMA
(FEMA 2000b, c, d, e) in the design of moment frames in new
structures, the upgrade and repair of existing structures, and quality
control.

FEMA-350 (FEMA 2000c) summarizes the main factors that
contributed to the fractures, which occurred primarily at the beam
bottom flange level:
• Design: The assumption held at the time that welded beam

flanges transfer moment and bolted webs transfer shear to the
column was inappropriate given that a significant amount of
beam shear actually transferred through the beam flanges in
these connections, and allowing a weak panel zone in design
exacerbated the problem; the consequence of using deeper and
heavier beams with fewer bays in SMFs commonly designed
in the 1980s and 1990s was also not well understood; the ef-
fect of triaxial stress demands on the ability to develop yield-
ing in beam flanges welded on the column face had also been
under-estimated;

• Materials: The impact of increased steel yield and tensile
strengths on the cyclic performance of steel connections, due to
a change in steel production in the 1980s, was neither recog-
nized nor considered in design; and

• Welding: The significance of welding details, processes, con-
sumables, workmanship, and inspection was overlooked by
researchers and design engineers.
Regarding design, improved seismic design procedures that

avoid similar brittle fracture were developed based on the SAC
study (FEMA 2000c). In particular, several prequalified moment
connections were proposed that relied heavily on full-scale exper-
imental verification and associated finite-element analyses. Each
connection type has specific ranges of applicability (e.g., size,
weight, beam and column slenderness parameters, span–to–beam

Fig. 2. Typical special moment frame (SMF) beam-to-column connec-
tion prior to 1994
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depth ratio, steel grade). These recommended prequalified connec-
tions also formed the basis of the AISC 358 standard “Prequalified
Connections for Special and Intermediate Steel Moment Frames for
Seismic Applications” (AISC 2016a), which was first published
in 2005. Although the recommended design criteria developed by
SAC were intended for ductile moment frames only, the same
methodology impacted the development of all other steel SFRSs
in several aspects. For example, A36 and A572 Grade-50 steels
were routinely used for the construction of pre-Northridge SMFs.
However, they did not have an upper bound on yield stress. In re-
sponse to the need to cap yield stress for capacity design purposes,
a new grade of steel (ASTM A992) was developed in 1998 to re-
place A36 and A572 for W-shaped members. Material ductility for
ASTM A992 is well defined because a maximum yield–to–tensile
strength ratio of 0.85 is specified, and weldability is improved
because a maximum carbon equivalent value of 0.45 (0.47 for
Group-4 and Group-5 shapes) is required. For capacity design,
the concept of expected material strength and strain-hardening
factors were also introduced for the design of all SFRSs.

The Northridge earthquake also drastically changed experimen-
tal seismic steel research in the United States. Previously, it was
not uncommon for steel researchers to test small-scale steel com-
ponents and then extrapolate test results to much larger members.
Without realizing the significance of welding, it was also not
uncommon for important welding information on fabrication and
erection of test specimens (such as process and position, electrode
used, qualification of field and shop welders, inspection) not to
be documented. The Northridge earthquake changed this practice.
Nowadays, full-scale testing of structural members, connections,
and subassemblies is routine and test results with reduced-scale
models are viewed with suspicion. When welded joints are in-
volved, especially when field-welded CJP welds are used, welding
is routinely done in the test laboratory to simulate actual conditions.
Prior to the earthquake, there was no welding code specifically for
seismic applications. In response to the need for one, the American
Welding Society published the first edition of AWS D1.8 (AWS
2005), “Structural Welding Code—Seismic Supplement,” in 2005
as a supplement to AWS D1.1 (AWS 2015), “Structural Welding
Code,” to be used in conjunction with the AISC Seismic Provisions
and AISC 358.

Steel Seismic Force-Resisting Systems

For completeness, this section provides a brief description of the
main steel (i.e., noncomposite) structural systems included in the
AISC Seismic Provisions (Fig. 3). Malley (2010) provides a brief
history of the development of the provisions.

Moment Frame Systems

Steel moment frame construction, despite its higher construction
cost when compared with that of braced frame construction, re-
mained popular even after the Northridge earthquake because it
provided architects and building owners with open-space floor
plans. For moment frame systems, both special moment frames
(SMFs) and ordinary moment frames (OMFs) from the previous
editions of the model codes were included in the 1990 AISC
Seismic Provisions. In 1997, steel intermediate moment frames
(IMFs) were introduced, intended for application in low to moder-
ate seismic regions where, by specifying a lower value for the R
factor of 6 (compared with 8 for SMFs), less inelastic deformation
was expected. Whereas an SMF was to provide significant inelastic
deformation capacity through flexural yielding in the beams and
limited yielding of column panel zones, column hinging was also

allowed in an IMF. However, a study conducted by SAC (FEMA
2000c) concluded that the inelastic deformation demands on IMF
systems were actually like those on SMF systems and therefore
that the reduction in design criteria associated with IMF systems
was not justified. This led the 2002 edition of ASCE 7 to reduce
the value of R from 6 to 4.5, reduce the building height limit,
and severely restrict the use of IMFs in higher seismic design
categories.

Introduced initially as a moment-resisting system, the truss mo-
ment frame is used for relatively long bay widths. Early editions
of the UBC allowed the use of trusses as horizontal members in an
SMF if the trusses were designed to be stronger than the columns
(i.e., the strong truss–weak column concept). Based on research
conducted by Goel and Itani (1994), special truss moment frames
(STMFs) were introduced in 1997 in the UBC and the AISC
Seismic Provisions. The purpose of STMFs is the design of a spe-
cial segment inside the truss to yield in a ductile manner while the
other members outside the special segment stay in the elastic
range.

Concentrically Braced Frames

Whenever diagonal braces in a building are acceptable from the
architectural perspective, concentrically braced frames (CBFs) are
a popular option. Some aspects of capacity design for CBFs were
first incorporated in the 1988 UBC and 1990 AISC Seismic Pro-
visions, but the terms special concentrically braced frame (SCBF)
and ordinary concentrically braced frame (OCBF) were not intro-
duced until the AISC Seismic Provisions released in 1997. Early
research at the brace and brace connection level (e.g., Gugerli and
Goel 1980; Zayas et al. 1980; Popov and Black 1981; Astaneh-Asl
and Goel 1984; Astaneh-Asl et al. 1985, 1986; Aslani and Goel
1991; Goel 1992) and at the system level (Ghanaat and Clough
1982; Foutch et al. 1987; Bertero et al. 1989) formed the basis of
CBF design provisions in model codes starting in 1988. Subsequent
research (Tremblay et al. 2003; Shaback and Brown 2003;
Tremblay and Filiatrault 1996; Tremblay 2002; Celik et al. 2005,
to name a few) further enhanced knowledge of CBF cyclic inelastic
deformations. Before the SAC Joint Venture published its design
recommendations for SMFs in 2000, many design engineers (and
architects) turned to CBFs, especially SCBFs. Various code com-
mittees have attempted to eliminate OCBFs, but these frames have
been kept with strict limitations on building height (10.7 or 20.9 m
for single-story buildings with a dead load restriction) and a low
R value (3.25).

Fig. 3. History of steel seismic force–resisting systems
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Interest in SCBF research was renewed in the early 2000s (Yang
and Mahin 2005; Uriz and Mahin 2008; Lehman et al. 2008;
Roeder et al. 2011; Lai and Mahin 2014) Some researchers have
also turned their attention to CBF design with so-called R ¼ 3
buildings. These are a type of construction commonly used in mod-
erate seismic regions or representative of pre-1988 CBF construc-
tion in high seismic regions (Hsiao et al. 2012a; Bradley et al.
2017), partly because, in moderate seismic regions ASCE 7 does
not require buildings classified as Seismic Design Category B or
Seismic Design Category C to comply with AISC Seismic Provi-
sions as long as R ¼ 3 is used to compute earthquake loads.
Because the AISC Seismic Provisions were developed with a heavy
bias toward applications in high seismic regions, it is not clear if
a CBF designed with R ¼ 3, and so not meeting ductility and
capacity design requirements, can provide the same margin against
collapse as that provided by a ductile system. To determine if there
is sufficient reserve strength to offset the a system’s low ductility
capacity, Hines et al. (2009), Stoakes and Fahnestock (2011), and
Bradley et al. (2017) tapped into reserve lateral strengths generally
ignored in a routine design (e.g., semirigid connections in the grav-
ity frame system, connections in the braced frame system, column
continuity, base fixity, brace reengagement).

Eccentrically Braced Frames

Eccentrically braced frames were originally developed in Japan
(Fujimoto et al. 1972; Tanabashi et al. 1974). In the United States,
they were first studied by Roeder and Popov (1978). In the 1980s,
numerous studies on link behavior provided insight into the cyclic
response of EBFs (Manheim and Popov 1983; Hjemstad and Popov
1983, 1984; Malley and Popov 1984; Kasai and Popov 1986a, b;
Ricles and Popov 1989; Engelhardt and Popov 1989, 1992). Ex-
perimental studies to verify EBF response at the system level were
also conducted from the mid-1980s on (Yang 1985; Roeder et al.
1987; Whittaker et al. 1989). These studies led to design provisions
in the 1988 UBC and later in the AISC Seismic Provisions.

Further studies have been conducted in the last two decades,
including full-scale testing of large links not only for buildings but
also for bridges (Dusicka and Itani 2002; Itani et al. 2003; Zahrai
and Bruneau 1999; McDaniel et al. 2003; Sarraf and Bruneau
2004). Recent research on links has also extended from I-shaped
rolled links to built-up sections [including I-shaped and double-C
(Mansour et al. 2011) and boxed sections (Berman and Bruneau
2008b, c)]. Boxed sections were incorporated in the 2010 AISC
Seismic Provisions. Replaceable links have also been explored
given increasing emphasis on performance-based design (Ramadan
and Ghobarah 1995; Mansour et al. 2011; Dusicka and Lewis
2010).

Buckling-Restrained Braced Frames

Originally developed in Japan in the 1970s, buckling-restrained
braced frames (BRBFs) have been used extensively for seismic ap-
plications in that country since the 1995 Kobe earthquake (Reina
and Normile 1997). These are a type of concentrically braced frame,
except that the buckling-restrained braces (BRBs) are specially
detailed to prevent global buckling and significant strength loss.
A BRB is composed of a ductile steel core designed to yield in both
tension and compression (Watanabe et al. 1988). To preclude global
buckling in compression, the steel core is first placed in a steel cas-
ing [e.g., a hollow structural section (HSS)], which is then filled
with mortar or concrete. Before the mortar is cast, an unbonding
material or a small air gap is provided between it and the steel core
to minimize or, if possible, eliminate the transfer of axial force from

the core to the mortar and the HSS. Because the Poisson effect
causes the steel core to expand under compression, this small gap
is needed to allow for expansion. Research on BRBs and BRBFs,
especially in Asia, has been active for 15 years. Uang et al. (2004),
Xie (2005), and Bruneau et al. (2011) provide more detailed infor-
mation on the development of BRBFs.

The BRBF system for high seismic applications is relatively
new in the United States, only having gained rapid acceptance a
few years after the 1994 Northridge earthquake. Although BRBs
are treated as supplemental energy dissipation devices usually in-
serted into a moment-resisting frame in Japanese design (Iwata
et al. 2000), one major factor contributing to their U.S. acceptance
was the conversion of the system into a new kind of braced frame
with an R factor–based elastic design procedure that designers were
familiar with (López and Sabelli 2004). The BRBF has been co-
dified as an SFRS with the highest R value (8) since the 2005 edi-
tions of ASCE 7 and the AISC Seismic Provisions.

Because a BRB does not buckle, its yielding steel core is
much smaller than the corresponding brace area in a concentrically
braced frame. Therefore, BRBFs are more flexible than SCBFs and
code-specified drift limits may govern their design. Although the
hysteretic response of a BRB is full and stable, its postyield stiff-
ness (or hardening ratio) is relatively low. Therefore, BRBFs tend
to cause a concentration of damage in specific stories and produce
large residual drifts (Sabelli et al. 2003; Kiggins and Uang 2006;
Sahoo and Chao 2015). Research on mitigation of damage concen-
tration not only in BRBF but also in braced frames in general is
presented in the section “Capacity Design.”

Shear Wall Systems

The special plate shear wall (SPSW) is the second of the two SFRSs
first introduced in the 2005 AISC Seismic Provisions (several types
of steel-concrete composite walls are included in the provisions,
but are not addressed here because composite structures are beyond
the scope of this paper). Steel shear wall systems were used from
time to time starting in the 1970s for various purposes (Sabelli and
Bruneau 2007). The design philosophy, still used in Japan, was to
stiffen the steel plates, using either stiffeners or concrete cover,
to prevent their buckling. The idea of unstiffened steel plate shear
walls that rely on postbuckling tension-field action was first advo-
cated in the early 1980s (Timler and Kulak 1983; Thorburn et al.
1983; Tromposch and Kulak 1987). The structural behavior of the
SPSW is conceptually similar to that of a cantilever plate girder,
where the steel infill panels serve as the web, the columns serve
as the flanges, and the beams serve as the intermediate stiffeners.
Bruneau et al. (2011) provide a review of the historical development
of this structural system. Early research efforts led to a simplified
design method (known as diagonal strip method) that was incorpo-
rated into the Canadian steel design standard CAN/CSA S16-95
(CSA 1994).

The 2005 editions of ASCE 7 and the AISC Seismic Provisions
essentially built on the Canadian procedure with modifications in
format and terminology. Significant research was conducted in the
1990s and early 2000s that resulted in enhancement of SPSW de-
sign provisions from 2005 to 2016 (Zhao and Astaneh-Asl 2004;
Behbahanifard et al. 2003; Berman and Bruneau 2003, 2008a;
Caccese et al. 1993; Dastfan and Driver 2008; Driver et al. 1998;
Elgaaly 1998; Grondin and Bahbahannifard 2001; Lee and Tsai
2008; Lin et al. 2010; Lubell et al. 2000; Qu and Bruneau
2009, 2010a, b; Bruneau and Qu 2011; Qu et al. 2008; Purba and
Bruneau 2009, 2010; Rezai 1999; Roberts and Sabouri-Ghomi
1991, 1992; Sabelli and Bruneau 2007; Vian et al. 2009a, b), The
contributions of this research include models to determine capacity
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design demands in columns and beams, and modified design re-
quirements to ensure adequate ductile response, as presented in
Bruneau et al. (2011).

Ductility Design

First and foremost, a ductile material is at the root of ductile design.
Steel has served as the primary ductile material in structural engi-
neering (as steel members or as reinforcement in concrete and ma-
sonry). However, a number of issues related to metallurgy (material
toughness, temperature, strain rate, welding procedures and elec-
trodes, fabrication and detailing, sharp discontinuities, chemical
exposure, and many more) greatly reduce or eliminate the ductile
behavior of steel structures (Barsom and Rolfe 1999; FEMA
2000f, j; Bruneau et al. 2011). Although this state-of-the-art review
is focused mainly on performance at the structural component and
system levels, it is advisable not to lose sight of these critical issues
and thereby take ductile steel for granted.

Relying on the development of a yield mechanism to survive
a significant seismic event requires the ductile design of SFRSs
with specific members designated to experience inelastic action
(e.g., beams and panel zones in SMFs, diagonal braces in SCBFs,
links in EBFs). These members must be sized to have sufficient
strengths for the basic seismic loading combinations, where the
horizontal seismic effect corresponds to the R factor–reduced force
at Point S in Fig. 1. As indicated in Eq. (3), one component of R is
the system reduction factor, Rμ, which is related to ductility capac-
ity (μ) at the member level. Because the relationship between
system-level Rμ and member-level μ for a multistory building is
complex, depending on, among many things, elastic stiffness and
development of the system’s plastic mechanism (partial versus
full), values of R specified in ASCE 7 were originally established
mainly by converting from the UBC’s empirical K factor (Eq. 1).
In other words, the explicit μ-Rμ relationship for each SFRS has
typically not been spelled out in the seismic provisions of U.S.
building codes.

Member ductility or inelastic deformation capacity of steel
members is generally governed by slenderness parameters, material
properties, and loading patterns. For a compact flexural member,
for example, local buckling and out-of-plane lateral-torsional buck-
ling may occur soon after the compression flange has yielded and
strain-hardened (ASCE-WRC 1971; Kato 1990; Ziemian 2010).
However, modern steel design codes usually simplify this compli-
cated phenomenon by treating flange local buckling (FLB), web
local buckling (WLB), and lateral-torsional buckling (LTB) as
separate limit states, even though they interact in reality. Ideally,
because SFRSs designed per ASCE 7 are expected to experience
inelastic response, the inelastic deformation demands of the struc-
tural components should be compared with those allowed. Never-
theless, except for a very limited number of cases to be discussed
later, the AISC Seismic Provisions take an indirect approach by
setting limiting values that are functions of the slenderness param-
eters and material properties. The following section describes this
approach and how it has evolved over the years for various steel
SFRS systems.

Moment Frames

For local buckling control of beams and columns in SMFs, design
codes specify limiting slenderness ratios to ensure sufficient plastic
rotations. The Appendix summarizes the evolution of local buck-
ling requirements for seismic design. Prior to the 1988 UBC, seis-
mic section compactness criteria were borrowed directly from
plastic design (ASCE-WRC 1971), even though plastic design does

not consider the effect of cyclic loading. Plastic rotation capacity,
which is the ratio between plastic rotation and rotation at yield and
is on the order of 6 to 7 under monotonic loading (AISC 2002), is
defined by the largest rotation reached on the response curve after
reaching maximum strength and before buckling degrades flexural
strength below the plastic moment, Mp. For seismic design, the
argument appears to be that it is acceptable to allow strength deg-
radation under cyclic loading if the rate of degradation is gradual.

For flange local buckling control, the tabulated limits for the
width-thickness ratio in the UBC up to the 1985 edition can be
traced back to the plastic design provisions in the 1969 AISC
(AISC 1969) specifications. Over the years, practically the same
limiting values have been converted to a different form as a function
of

ffiffiffiffiffiffi
Fy

p
,

ffiffiffiffiffiffiffiffiffiffiffi
E=Fy

p
or, in the 2016 AISC Seismic Provisions,ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi

E=ðRyFyÞ
p

for an assumed Ry value of 1.1; these alternate forms
are not based on new research findings.

The limiting seismic width-thickness ratio, h=tw, for web local
buckling control has, with one exception, also been strongly influ-
enced by plastic design provisions. The rightmost column in
the Appendix shows an evolution, where Ca [¼Pu=ðϕcPyÞ] is
the normalized axial compression force. Without an axial load, the
limiting ratio for the beam web in the AISC Seismic Provisions
before the 1994 Northridge earthquake was 520=

ffiffiffiffiffiffi
Fy

p
(equivalent

to 3.05
ffiffiffiffiffiffiffiffiffiffiffi
E=Fy

p
in ksi units). After the earthquake, the reduced

beam section (RBS) connection, first introduced in the late 1980s
(Plumier 1997), began to receive much attention in the United
States, becoming one the most researched connections in the last
two decades. Testing showed that WLB usually starts first, inter-
acting with FLB, and is followed by LTB (Engelhardt et al. 1998;
Yu and Uang 2001). To evaluate the effect of reduced flanges, Uang
and Fan (2001) used a procedure similar to that recommended by
Kemp (1996) to consider the interaction of all three buckling modes

θp ¼ C

�
bf
2tf

�
α

�
h
tw

�
β

�
Lb

ry

�
γ
ðFyÞδ ð4Þ

where θp = plastic rotation of the connection. A regression study of
55 full-scale RBS connections tested cyclically showed that WLB
is the governing limit state when beam lateral bracing complies
with the AISC Seismic Provisions. Setting θp ¼ 0.03 rad, which
was the required value for SMF in the 2002 AISC Seismic Provi-
sions, the following criterion was established:�

bf
2tf

�
1=8

�
h
tw

�
1=2

¼ 202ffiffiffiffiffiffiffiffiffiffiffi
RyFy

p ð5Þ

To simplify further, a lower-bound limiting ratio of h=tw was set
at 418=

ffiffiffiffiffiffi
Fy

p
(or 2.45

ffiffiffiffiffiffiffiffiffiffiffi
E=Fy

p
), where Fy is in ksi units. Although

this ratio was derived for the beam web when an RBS was used, the
AISC Seismic Provisions since the 2002 edition apply it to all
SFRS beams, irrespective of whether an RBS is used. For column
webs, however, the limit for Ca ¼ 0 (i.e., no axial load) remained
unchanged at 3.14

ffiffiffiffiffiffiffiffiffiffiffi
E=Fy

p
, creating an inconsistency between

beams and columns that was resolved in the 2010 edition by arti-
ficially anchoring the expression for the highly ductile limit of
column webs, λhd, to 2.45

ffiffiffiffiffiffiffiffiffiffiffi
E=Fy

p
.

To control lateral-torsional buckling of SMF beams that are
expected to develop plastic hinges, the UBC in its 1985 and earlier
editions did not provide any specific requirement for lateral brac-
ing, but the connections requirement did state that the beams were
expected to develop full plastic capacity. The 1986 AISC LRFD
Specification (AISC 1986) required the following for the maximum
unbraced length, Lpd, for plastic design to ensure a minimum rota-
tional ductility capacity of 4:
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Lpd

ry
¼ 3600 þ 2200ðM1=MpÞ

Fy
ð6Þ

which assumes that a plastic hinge forms at one end of the unbraced
segment with the plastic moment, Mp, that M1 is the smaller mo-
ment at the other end of the segment, and that (M1=Mp) is positive
when moments cause reverse curvature. In a seismic event, beams
in a moment-resisting frame are almost always in reverse curvature
between columns unless the other end is pinned. Conservatively
assuming the latter case (i.e., M1 ¼ 0), Eq. (6) becomes

Lpd

ry
¼ 3600

Fy
ð7Þ

At the time when it was common to specify A36 steel for beams,
this limiting requirement further reduced to Lpd=ry ¼ 100. The
UBC since 1988 has therefore specified a limiting value of 96 for
Lpd=ry. The AISC Seismic Provisions since 1990 have considered
Eq. (7) to reflect the effect of yield stress. Considering the uncer-
tainty of plastic hinging locations in the beam, however, AISC con-
servatively reduced the numerator from 3,600 to 2,500

Lpd

ry
¼ 2500

Fy
ð8Þ

Eq. (8), which is still used in 2016 AISC Seismic Provisions but
is expressed as 0.086E=Fy or 0.095E=ðRyFyÞ, is equivalent to
Eq. (6) by assuming that the unbraced segment is in a single cur-
vature and that M1 is equal to 0.25Mp. In other words, the seismic
lateral bracing requirement has been adapted from the original plas-
tic design requirement, not from seismic research that considers the
cyclic nature of the expected structural response. Nakashima et al.
(2002) showed through numerical simulation that this lateral brac-
ing requirement is conservative.

The panel zone design philosophy has changed significantly
over the years. Because panel zones are expected to yield in shear,
conceptually they need to be designed for the shear force obtained
from R factor-reduced seismic forces (or, in the 1988–1994 editions
of the UBC, Rw factor-reduced seismic forces). This was indeed the
case for seismic codes (e.g., 1988 UBC and 1992 AISC Seismic
Provisions) before the 1994 Northridge earthquake, except that
the required shear force did not need to exceed that determined
from 0.8

P
Mp of the beams framing into the column flanges at

the connection. The 0.8 factor was intended to account for the grav-
ity load effect (Popov 1987). This relaxation in the design require-
ment led to weaker panel zones, which became one of the many
factors that contributed to the brittle fractures of pre-Northridge
moment connections (FEMA 2000k).

After the Northridge earthquake, the AISC Seismic Provisions
specified that the required panel zone shear strength be determined
from the extrapolated beam moment at the column face—an ap-
proach similar to that reserved for the capacity design of compo-
nents not expected to yield. Furthermore, the 0.8 factor was deleted
because the beneficial effect from gravity loads in preventing beam
yielding may not always exist (El-Tawil et al. 1999). The goal of the
panel zone design requirements in the latest AISC Seismic Provi-
sions is to avoid excessively weak zones but allow limited yielding;
notably, the panel zone design strength provided by the equation
specified in AISC 360 is only developed when the panel zone
deforms to four times the shear yield strain (Krawinkler 1978),
which is arguably a large ductility demand in a structural element
designed per capacity design principles.

Although the panel zone has been shown to be a reliable source
of energy dissipation, one well-known argument against an
SMF design approach with weak panel zones is that large shear

deformation in them causes kinking in the column flanges and such
kinking can trigger fracture of the beam flange CJP welds. Unfortu-
nately, little research has been conducted to quantify the threshold
beyond which such concern is applicable. When notch-tough CJP
welds are used, Kim et al. (2015) postulated that the ultimate panel
zone deformation capacity corresponds to that when each column
flange is fully yielded at the kink locations. They showed that de-
formation capacity is a function of the ratio of beam depth to col-
umn flange thickness. However, the proposed equation was verified
experimentally by only two full-scale moment connection speci-
mens. Because many SMFs constructed before the 1994 Northridge
earthquake have weak panel zones, more research is needed to es-
tablish critical panel zone deformation capacity for retrofit purposes.

Concentrically Braced Frames

A concentrically braced frame relies on compressive buckling
and tensile yielding of the diagonal braces to dissipate energy. Com-
pared with flexural bending or tensile yielding, Euler-type flexural
buckling is a much less desirable energy dissipation mechanism.
Axial compressive strength also drops rapidly in the postbuckling
range, which affects internal force distribution and the required
forces for the design of beams, columns, and gusset connections.
Prior to 1988, no special requirement was provided for the seismic
design of braced frames. In the 1988 UBC, a few key concepts
for ductile design of braced frames in high seismic zones were
introduced.

It is well known that the effective slenderness ratio plays a key
role in the buckling response of a brace. Fig. 4 shows that thinking
has evolved regarding the maximum permitted value for this ratio,
which is expressed in either of the following forms:�

KL
r

�
max

¼ C1ffiffiffiffiffiffi
Fy

p ð9aÞ

�
KL
r

�
max

¼ C2ffiffiffiffiffiffiffiffiffiffiffi
E=Fy

p ð9bÞ

Because no special requirement was specified for seismic steel
design prior to the 1988 UBC, the maximum effective slenderness
ratio defaulted to the requirement specified (=200) in the AISC
Specification for structural steel buildings (i.e., for nonseismic ap-
plications). In the 1988 UBC, stockier braces with C1 ¼ 720 were
favored because available research showed that they exhibited
greater energy dissipation capacities (Popov and Black 1981). The
promotion of stockier braces was also compounded by a strength
reduction factor, β, to compute the design compressive strength
of the brace

Fig. 4. Evolution of slenderness limiting KL=r ratio for special con-
centrically braced frame (SCBF) braces
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β ¼ 1

1 þ ðKL
r Þ=ð2CcÞ

ð10Þ

This strength reduction factor was not intended for capacity
design. It was simplified to 0.80 in the 1990 and 1997 AISC
Seismic Provisions, and this design approach (using a reduced
compressive design strength) was eventually abandoned.

Braces are designed to experience flexural buckling (either in
plane or out of plane) with a plastic hinge forming at the midlength
of the brace. Under axial compression, braces, especially those with
rectangular HSS sections, at the plastic hinge location experience
local buckling and initiate cracks under load reversal. Because of
the large inelastic strains that develop in the plastic hinge, this local
buckling becomes more severe when stocky braces are used.
Tang and Goel (1989), Goel and Lee (1992), and Tremblay (2002)
showed that the postbuckling cyclic fracture life of bracing members
generally increases with an increase in the slenderness ratio. It was
also found that frames with slender braces behave better because of
the overstrength inherent in their tension capacity when design is
governed by the strength of the compression brace (Tremblay 2003).
For these reasons, after more than 15 years of research and delib-
erations, the limiting slenderness ratio in the 2005 AISC Seismic
Provisions was restored to what it was in the preseismic steel
design era.

Local buckling also plays an important role in the low-cycle
fatigue life of braces, particularly HSS braces. Tang and Goel
(1989) proposed an empirical model to predict the fracture of
braces; it was believed that under cyclic loading straightening and
stretching of the brace had a greater impact on fracture life than
compressive deformation excursions. More testing led to several
refined models (Fell et al. 2009; Uriz and Mahin 2008; Huang and
Mahin 2010; Hsiao et al. 2012b). For code implementation, the lim-
iting width-thickness ratio for rectangular HSS sections was set at
110=

ffiffiffiffiffiffi
Fy

p
(¼0.64

ffiffiffiffiffiffiffiffiffiffiffi
E=Fy

p
) for SCBF design; this limiting value

was based on test data from Tang and Goel (1987) and Uang and
Bertero (1986). To enhance low-cycle fatigue life (Fell et al. 2009;
Uriz and Mahin 2008), the limiting value was tightened to
0.55

ffiffiffiffiffiffiffiffiffiffiffi
E=Fy

p
in the 2010 AISC Seismic Provisions. In the 2016

provisions, it became 0.65
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
E=RyFy

p
for highly ductile and mod-

erately ductile sections—the same as for specifying Ry ¼ 1.4 for
HSS members. Seismic codes treat global buckling and local buck-
ling as separate limit states. Because the local buckling and low-
cycle fatigue life of braces also correlate to member slenderness,
further research is anticipated to evaluate the interaction between
these failure modes.

Eccentrically Braced Frames

In an eccentrically braced frame, significant inelastic action is
expected in the links in the form of shear yielding, flexural yielding,
or shear-flexural yielding. With proper stiffening of the link web,
shear yielding is preferred, as both energy dissipation and plastic
rotation capacity of the link in this mode are at their greatest. Since
this SFRS was first introduced in the 1988 UBC, stringent compact-
ness requirements have been specified for both web and flanges.
When a rolled I-shaped section was used, the stringent highly duc-
tile compactness requirement (i.e., λhd) for the flanges quite often
forced the designer to select a heavier section, which unnecessarily
increased the web area and resulted in a much larger seismic force
demand in the capacity design of beams outside the link, braces, and
columns. When short links (defined as links of length no greater
than 1.6Mp=Vp, where Mp and Vp = plastic flexural strength and
shear strength, respectively) are used for shear yielding, the web, not

the flanges, experiences significant yielding. Based on research on
local buckling of links (Richards and Uang 2006a; Okazaki and
Engelhardt 2007), the 2005 AISC Seismic Provisions relaxed the
flange compactness requirement to be moderately (λmd) instead of
highly ductile. In contrast, the seismic compactness requirement for
the link web became much more stringent starting with the 2010
provisions. Because this requirement was the same for both the
EBF link web and the SMF column web, the artificial shift of the
anchoring point mentioned previously for SMF columns, which de-
rived from the study of RBS beams, now also influences the link
web compactness requirement. It is not clear if this unintended con-
servatism is needed.

In evaluating the flange slenderness requirement for links of
A992 steel, what might be called an unexpected fracture mode in
the web of links not observed in prior tests was reported by Okazaki
and Engelhardt (2007). The EBF link cyclic loading protocol, first
introduced in the 2005 AISC Seismic Provisions, was used for this
test program. A parallel study (Richards and Uang 2006b) found
that the loading protocol used was excessively conservative, lead-
ing to a revised protocol adopted in the 2010 provisions. Testing
with this new loading protocol showed satisfactory response from
the A992 links. This study further highlighted how the ductility
capacity and failure mode of structural members (links in this case)
can be sensitive to the loading protocol used in testing—a topic that
has often been discussed in the earthquake engineering community
but has yet to be thoroughly researched.

Buckling-Restrained Braced Frames

The buckling-restrained braces (BRBs) that are commonly used
nowadays are composed of a structural steel core and a buckling-
restraining system that prevents global buckling. To ensure that
BRBs are the main source of energy dissipation through axial yield-
ing in both tension and compression, the AISC Seismic Provisions
require that BRBs in a BRBF “shall be designed, tested and de-
tailed to accommodate expected deformations.” Because BRBs
used in actual construction are mainly a proprietary product in the
United States, basic research on their development is most often
conducted by BRB manufacturers and their detailed designs are
confidential. However, a significant amount of BRB research, both
experimental and analytical, has been conducted worldwide, espe-
cially in Asia in the last two decades.

The AISC Seismic Provisions leave it to BRB manufacturers to
proportion the BRB steel core and the buckling-restraining mecha-
nism in ductility design, but demonstration, through a specific
cyclic testing protocol, is required to ensure that the BRB has a
minimum cumulative cyclic ductility capacity of 200 times the
brace axial yield deformation (Sabelli et al. 2003), and the ability
to perform as intended up to twice the design displacements
(Fahnestock et al. 2003). Notably, this is the only SFRS for which
the provisions specify a minimum ductility capacity in terms of a
cumulative response parameter (Table 1).

Special Plate Shear Walls

In a special plate shear wall, inelastic action is expected to de-
velop in the form of web (i.e., infill) plate yielding and plastic
hinge formation at the ends of the beams (i.e., horizontal boun-
dary elements). In the closing corners of a laterally drifting frame,
particularly when thicker infill plates are used, some localized com-
pression and yielding of the infill plates has been reported
(Shishkin et al. 2009; Clayton et al. 2015; Dowden and Bruneau
2014). However, this effect is considered of negligible significance
for design and is not addressed by the AISC Seismic Provisions.
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Plastic hinging may also occur at the base of columns in developing
the complete plastic mechanism of the structure; yielding is other-
wise undesirable in columns—particularly shear yielding, which
can be accidentally overlooked (it is not intuitive for designers to
think of shear yielding governing the design of steel columns be-
cause it rarely does so in other steel structural systems).

It is desirable for both web plates and beams to contribute to the
total energy dissipation of the system, particularly given that web
plates, because of their slenderness, yield only in diagonal tension
and thus require progressively larger drifts to maintain their con-
tribution. When plates above and below a beam are of nearly the
same thickness, the demands on the beam obtained from capacity
design can be insignificant and result in undesirable beam sizes.
Changes in the 2016 AISC Seismic Provisions require that SPSW
moment frames alone (i.e., without web plates) resist 25% of the
specified lateral loads to ensure a desirable minimum contribution
of the frame to total system hysteretic behavior. Twenty-five per-
cent was somewhat arbitrary, but is consistent with the strength
required by ASCE 7 for back-up moment frames in dual systems.
This minimum moment frame strength is in addition to the require-
ment that web plates be designed to resist 100% of the lateral load
by themselves because recent studies have demonstrated this to be
necessary to achieve a satisfactory margin against collapse for the
R factors provided in ASCE 7 (Purba and Bruneau 2014a, b).
Incidentally, the latter requirement significantly simplified design
of SPSWs by directly using the simple equation provided in the
AISC Seismic Provisions to select web plate thicknesses.

Ordinary moment-resisting connections have been used in many
of the SPSWs tested and have performed well, even in SPSWs
with lateral drifts of 3% or larger. Not needing special moment-
resisting connections to achieve ductile plastic rotation is counter-
intuitive in the post-Northridge context, but research suggests that
the satisfactory performance of ordinary moment connections in
SPSWs is attributable to a smaller absolute range of plastic rotations
that develops because of a strong directionality in the plastic rota-
tions of plastic hinges when they are constrained to develop at the
end of beams (Purba and Bruneau 2012).

Detailing to achieve the described ductile behavior is minimal.
Multiple details have been proven adequate to transfer forces from
the unstiffened yielding plates to the surrounding members, and
beams must be appropriately sized to develop stable plastic hinging
(Bruneau et al. 2011). For conventional hot-rolled steel, web plates
are not expected to develop significant strain hardening.

Deformation Demand and Capacities for
Seismic Design

The expected story drift specified in seismic provisions has evolved
over the years. The ATC 3-06 document (ATC 1978) first intro-
duced the deflection amplification factor, Cd, to compute expected
story drift, Δu (Fig. 1)

Δu ¼ CdΔs ð11Þ
The 1988 UBC model code was the first to use a deflection

amplification factor, although expressed as 3Rw=8, where

Rw = response modification factor for working stress design. For
ductile SFRSs, the elastic story drift ratio, Δw (Fig. 1), at the Cw
seismic force level was limited to 0.04=Rw times the story height
for buildings less than 19.8 m (65 ft) in total height. Therefore, the
expected story drift ratio was�

0.04
Rw

��
3Rw

8

�
¼ 0.015 ð12Þ

For buildings taller than 19.8 m, the allowable story drift ratio
was 0.03=Rw and the corresponding expected story drift ratio was
even less (=0.0113). One reason that the pre-Northridge welded
flange-bolted web connection was prequalified for SMF applica-
tions in the 1988 UBC was the belief that buildings do not drift
beyond 2% of their story height (Popov et al. 1989). After
Northridge, it was realized that buildings can drift significantly
more (Gupta and Krawinkler 1999; Krawinkler et al. 2000). To
qualify connections for SMFs, for example, later editions of the
AISC Seismic Provisions require connections to be tested to a story
drift ratio of 0.04. When nonlinear response history analysis is per-
formed in design, 0.04 is the expected drift ratio at the maximum
considered earthquake (MCER) level according to the 2016 edition
of ASCE 7.

As mentioned earlier, the AISC Seismic Provisions generally
do not require designers to explicitly check required inelastic de-
formations against available deformation capacity. For SMFs, sig-
nificant inelastic deformation capacity through flexural yielding
of the beams and limited yielding of the column panel zones is
expected. The provisions require that beam-to-column connections
be prequalified through cyclic testing for a story drift angle of
0.04 rad while the beam strength at the column face remains at 80%
or more of the beam nominal flexural strength. AISC 358 (AISC
2016a) provides connections that have been prequalified through
this process. No explicit check for beam and panel zone deforma-
tion capacities is required in design. Similarly, BRBs in a BRBF
must be prequalified through cyclic testing for a cumulative duc-
tility capacity of 200 times the brace axial yield deformation.
Again, no check of BRB deformation capacity is required in design
because it is already prequalified. Links in EBF design are a notable
exception to the just mentioned approaches, with checks for link
deformation explicitly required. The inelastic angle between the
link and the beam outside it is calculated in design and then com-
pared with the allowable deformation capacity, which ranges from
0.08 rad for shorter links to 0.02 rad for long links (Table 1).
No specific ductility capacity requirement is provided for SCBFs
and SPSWs.

Capacity Design

General

Once the designated primary energy-dissipating elements are
designed for the R factor-reduced seismic forces and detailed for
ductility, other structural elements are designed, per capacity design

Table 1. Ductility Capacity Requirements in the AISC Seismic Provisions

SFRS Deformation-controlled element Ductility capacity requirement

SMF Beams, panel zone, column base Story drift angle ≥0.04 rad without significant strength degradation
EBF Link Inelastic rotation capacity ≥0.08 rad for short link (e ≤ 1.6Mp=Vp); smaller for longer links
BRBF BRB (1) Axial deformation capacity at two times design story drift but not <2% story drift, and

(2) Cumulative axial deformation capacity ≥200Δy
SCBF Diagonal braces Not specified
SPSW Web plate, horizontal boundary elements Not specified
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principles, with sufficient strength to ensure that the target energy-
dissipating mechanism can be achieved in a significant seismic
event. The capacity design concept was first developed and imple-
mented in New Zealand in the 1970s for reinforced-concrete struc-
tures (Park and Paulay 1975). In the United States, the R and Cd
factors, but not the system overstrength factor for capacity design,
were introduced in ATC 3-06 in 1978 (ATC 1978). The 1987 edi-
tion of SEAOC’s “Recommended Lateral Force Requirements and
Commentary” (SEAOC 1987) first introduced the 3Rw=8 for seis-
mic force amplification to amplify the prescribed Rw factor-reduced
seismic forces as the required seismic forces for structural compo-
nents expected to remain elastic. This approach was subsequently
adopted by the 1988 UBC. For example, to ensure that steel col-
umns in a frame do not buckle, the required compression force was
calculated from the following load combination:

1.0PD þ 0.7PL þ ð3Rw=8ÞPE ð13Þ
where PD, PL, and PE = axial forcces produced by the dead, live,
and earthquake loads, respectively.

Although a big step forward, 3Rw=8 as a seismic force ampli-
fication factor was flawed because it effectively implied that the
ultimate strength of every SFRS was kept at a level equal to three-
eighths of the unreduced elastic seismic force (Uang 1993). The
1992 AISC Seismic Provisions, which were based on strength
design, rounded the three-eighths to 0.4 and used 0.4R as the seis-
mic force amplification factor for capacity design. When the UBC
changed its seismic design format from working stress to strength
in its 1997 edition (ICBO 1997), the seismic force amplification
factor, 3Rw=8, which was also used as the deflection amplifica-
tion factor, was replaced by a system overstrength factor, Ωo. This
new factor has been used in ASCE 7 since 1997.

For strength design of structural components expected to expe-
rience inelastic action, ASCE 7 specifies what it calls basic seismic
load combinations. One of these, included here for illustration, is
the following:

ð1.2 þ 0.2SDSÞDþ L þ 0.2S þ 1.0ρQE ð14Þ
where D, L, and S = dead, live, and snow loads, respectively; ρ =
redundancy factor; and QE = seismic design force level at

Point S in Fig. 1.
For capacity design of all other components (to ensure that

they remain essentially elastic), seismic load combinations with the
overstrength factor are used; the combination corresponding to the
load combination is

ð1.2 þ 0.2SDSÞDþ L þ 0.2S þ 1.0Emh ð15Þ
where, conceptually, Emh = seismic force level at Point M in Fig. 1
when the target mechanism is developed.

Because Point M falls in the inelastic response range, the 2010
edition of ASCE 7 provides two approaches to facilitate design.
The first, termed the system approach here, considers the SFRS at
the system level and simply amplifies the seismic force level at
Point S by a system overstrength factor, Ωo. The second approach,
effectively an exception to the first, states that “The value of Emh
needs not exceed the maximum force that can develop in the
element as determined by a rational, plastic mechanism analysis or
nonlinear response analysis utilizing realistic expected values of
material strengths.” It is the second approach, referred to as the
local approach here, that should be used as much as possible; the
designer should resort to the system approach only when the local
approach is difficult to apply.

One example of the local approach is gusset connection design
in an SCBF where diagonal braces serve as the energy dissipation

element. Once the diagonal braces are sized, the gusset plate and
its connections are designed for the probable maximum forces that
the braces can develop. This requires the use of an expected yield
stress, RyFy, to compute the expected brace tensile and compres-
sive strengths. The use of Ry to compute the expected yield stress
for estimating the required seismic force in capacity design was
first introduced in the 1997 AISC Seismic Provisions. Another
example is SMF moment connection design. Assuming that the in-
flection point is located at the midspan of the beam, the seismic
beam moment (i.e., the effect of Emh) can be established without
nonlinear analysis as long as the probable moment at the assumed
plastic hinge location is known. The probable beam moment, Mpr,
is then computed as the product of the plastic section modulus, the
expected yield stress, and a cyclic strain-hardening factor [=1.1 per
the AISC Seismic Provisions or Cpr per AISC 358 (AISC 2016a)].
After including the effect of gravity components, the combined in-
ternal forces are used to design panel zones, continuity plates, and
joints between beams and columns, and to check strong column-
weak beam conditions.

When the local approach is difficult to implement, the system
approach is used to amplify the design seismic forces corre-
sponding to Point S in Fig. 1 by an empirical factor, Ωo. One ex-
ample is estimating the axial load in an SMF column for the effect
of Emh. This is reasonable for estimating column axial forces be-
cause these forces, produced by the seismic overturning moment of
the SFRS, are more or less proportional to the base shear. However,
the local approach should not be applied blindly. A good example
of its misuse is determining the effect of Emh on beams in an SCBF
with inverted-V bracing. The tensile brace is expected to reach its
expected tensile yield strength, and the compressive strength is ex-
pected to buckle and then significantly degrade in the postbuckling
region. It is the postbuckling strength of the brace, not its prebuck-
ling strength, that governs the design of the beam. The resulting
unbalanced vertical force that the pair of braces imposes on the
beam midspan cannot be captured by the system approach be-
cause the unbalanced vertical load from an elastic analysis cannot
reflect the postbuckling scenario no matter how large the Ωo value
is used.

Use of either approach for capacity design was often up to the
judgment of the designer. To avoid any potential misuse of the
system approach as mentioned previously, the 2016 editions of
ASCE 7 and the AISC Seismic Provisions use what is termed the
capacity-limited horizontal seismic load effect, Ecl, to spell out ex-
plicitly when the local approach is required for seismic steel design.
The Ωo approach is not permitted when Ecl is specified in the 2016
AISC Seismic Provisions.

The 2005 edition of the AISC Seismic Provisions also intro-
duced the Rt factor for calculating the expected tensile strength
of steel. For capacity design, this factor is mainly used to compute
the design strength, not the required strength, for limit states within
the same member from which Ecl is determined.

Moment Frames

In some ways, the Northridge problem associated with the brittle
fracture of moment connections was an issue of capacity design, not
ductility design. On one hand, the expected beam flexural strength
was underestimated because the concept of expected yield strength
did not exist before the Northridge earthquake. Also, the signifi-
cance of the beam-to-column welded joints, a critical component
of capacity design, was overlooked in terms of design, fabrication,
welding, and inspection. Triggered by Northridge, the SAC Joint
Venture was probably the only coordinated and directed research
that dealt with one particular SFRS (i.e., steel moment frames) as
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a national effort. Significant findings were documented in a series
of recommended design criteria (FEMA 2000b, c, d, e), state-of-the
art reports (FEMA 2000f, g, h, I, j, k), and in several background
documents.

Notably, many steel moment frame buildings with pre-
Northridge moment connections still exist in high seismic regions.
Recommendations on seismic retrofit are available (FEMA 2000d),
but studies on connection retrofit are still limited (Gross et al. 1999;
Malley et al. 2006). Pre-Northridge SMFs designed per the 1988
UBC can have undesirably weak panel zones, and their retrofit
can be challenging (Kim et al. 2015). The weak column-strong
beam design condition was also more prevalent per the 1988 UBC
(Roeder et al. 1993; Schneider et al. 1993). Moreover, challenges
exist in retrofitting column splices with low-notch-toughness
partial-joint-penetration (PJP) groove welds. Many older steel
buildings were designed with little or no consideration of seismic
behavior and used (partially restrained) riveted steel connections
encased in massive but lightly reinforced concrete for fire protec-
tion. Research on seismic modeling and retrofit of buildings with
riveted connections is, again, limited (e.g., Leon et al. 1994; Roeder
et al. 1996; Bruneau and Sarraf 1996).

Concentrically Braced Frames

The definitions of expected brace strength in tension, expected
brace strength in compression, and corresponding postbuckling
strength for capacity design have varied somewhat over the years
(Table 2). As far as determining force demands for structural com-
ponents that need to be capacity-protected, the most significant
changes for concentrically braced frame systems occurred in the
1997 Seismic Provisions, where the use of a postbuckling strength
equal to 30% of the brace strength in compression was introduced.
At first, this concept was used to design beams in an SCBF with V
or inverted-V bracing configurations. Only in the 2010 edition
of the AISC Seismic Provisions was the 30% rule generalized
to also compute the required strength of SCBF columns, beams,
struts, and connections. Other than singling out inverted-V bracing,
the provisions now require designers to consider two scenarios
independently:
• An analysis in which all braces are assumed to resist forces

corresponding to their expected strength in compression or in
tension; and

• An analysis in which all braces in tension are assumed to resist
forces corresponding to their expected strength and all braces in
compression are assumed to resist their expected postbuckling
strength.
Whether these two scenarios cover the worst case remains to be

investigated. Taking the two-story X-braced configuration with bra-
ces of the same size, for example, the beam at the midspan is not
subjected to any unbalanced vertical load unless the first scenario
in the upper story and the second scenario in the lower story are

combined, or unless a scenario is considered in one story together
with a percentage of those values in the other story (Bruneau
et al. 2011).

Brace connections can be designed to withstand the flexural
forces or rotations imposed by brace buckling, although design to
withstand rotations is more common. No matter whether the brace
is designed to buckle out of plane (Astaneh-Asl et al. 1986) or in
plane (Tsai et al. 2013), accommodation of inelastic rotation at the
brace ends is typically accomplished by means of a single gusset
plate with the brace terminating a short distance before a line of
restraint to form a linear hinge zone. A more compact gusset design
with an elliptical hinge zone was proposed by Roeder et al. (2011).
The gusset connection must be capacity-protected and is usually
designed based on the uniform force method (AISC 2017). How-
ever, the welds of the gusset plate are prone to fracture because this
method does not consider the brace-buckling deformation demands
on the connection and the frame action (see the section “Buckling-
Restrained Braced Frames” for discussion of frame action in the
gusset plate.) To avoid weld fracture and to improve system duc-
tility, Roeder et al. (2011) also proposed a design procedure to
balance brace yielding and gusset yielding. Carter et al. (2016) pro-
posed a procedure for sizing welds between the gusset plate and the
beam or column when the brace is designed to buckle out-of-plane.

Based on research by Imanpour et al. (2016a, b), Stoakes and
Fahnestock (2016), and Imanpour and Tremblay (2017), the 2016
AISC Seismic Provisions also introduced special combinations for
the capacity design of multitier braced frames (defined as braced
frames having two or more levels of bracing between diaphragm
levels or locations of out-of-plane bracing). These combinations
consider multiple combinations of the two previously mentioned
scenarios in brace tiers to determine the worst-case scenario, tor-
sional moments about the brace-buckling axis, and provide special
requirements for in-plane column flexural stiffness to prevent pre-
mature brace fracture. Similar requirements are prescribed for mul-
titier braced frames having BRBs.

Eccentrically Braced Frames

Because links in an EBF serve as energy dissipation components,
diagonal braces and their connections, beams outside the links, and
columns need to be capacity-protected. The expected shear strength
of the link considered for this purpose is

Vl ¼ αðRyVnÞ ð16Þ
where α = strain-hardening factor. Experiments have shown
that yielding links can exhibit greater strain hardening than flex-
ural plastic hinges in beams (Kasai and Popov 1986b). Okazaki
et al. (2005) showed that rolled wide-flange links constructed of
ASTM A992 steel have a strain-hardening factor, α, ranging from
1.2 to 1.45. Tests on smaller rolled wide-flange links constructed of
ASTM A36 steel sometimes showed a strain-hardening factor in
excess of 1.5 (Hjelmstad and Popov 1983; Engelhardt and Popov
1989). Recent tests on very large welded built-up wide-flange links
for use in major bridge structures have shown strain-hardening fac-
tors close to 2.0 (McDaniel et al. 2003; Dusicka and Itani 2002).
The AISC Seismic Provisions refer to adjusted instead of expected
link shear strength for capacity design to include the effect of
material overstrength and cyclic hardening. Instead of the expected
link shear strength with a high strain-hardening factor for capacity
design, the provisions use the adjusted link shear, the main moti-
vation being to make EBF design and construction feasible and not
to penalize it by the high strain-hardening factor.

Intended for rolled wide-flange links, the AISC Seismic
Provisions start with a hardening factor of 1.5 and, borrowing from

Table 2. AISC 341 Expected Brace Strengths for SCBF Capacity Design

Edition

Expected
tensile
strength

Expected compressive strength

Initial buckling
Postbuckling
coefficient

1990, 1992 FyAg 0.8ðϕcFcrAgÞ NA
1997 FyAg ϕcFcrAg 0.3
2002 RyFyAg ϕcFcrAg 0.3
2005 RyFyAg FcrAg 0.3

2010, 2016 RyFyAg

�
1

0.877

�
FcreAg ≤ RyFyAg 0.3
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the inherent safety margin provided by Ry ¼ 1.1 and 1=ϕc ¼ 1.1 in
brace design, adjust the α value in Eq. (16) downward to 1.25
(≈1.5=1.21). This relaxation is not used elsewhere in the
provisions.

Designing the beams outside the link is challenging because
these beam segments, which are usually an extension of and the
same size as the link, are subjected to high axial compression and
bending moment. The AISC Seismic Provisions adjust the α value
further from 1.25 to 1.1, reasoning that (1) allowing the beams to
experience limited yielding near the link ends is not detrimental,
(2) composite action due to the presence of a slab not explicitly
accounted for increases beam flexural strength (Ricles and Popov
1989), and (3) reinforcing the beam outside the link, say with
welded cover plates, may increase the possibility of fracture.

When an EBF is configured for link-to-column connections,
those connections are subjected to both high shear and high mo-
ment. Prior to the 1994 Northridge earthquake, link-to-column con-
nections were typically constructed like SMF moment connections.
Testing conducted after Northridge confirmed that these connec-
tions were vulnerable to brittle fracture (Okazaki et al. 2009). As
a result, the AISC Seismic Provisions now require the connections
to be either prequalified or qualified by cyclic testing. The provi-
sions have yet to provide any prequalified connections. At least two
connection details, one for shop-welded and one for field-welded,
have been proposed (Okazaki et al. 2015; Hong et al. 2015).
Further research on this subject is needed.

Buckling-Restrained Braced Frames

Capacity design of buckling-restrained braced frames (BRBFs) is
similar to that of SCBFs, with the major difference being that only
one brace strength scenario need be considered. Also, whereas ini-
tial compression strength is generally lower than expected tensile
strength for an SCBF brace, the opposite is true for a BRB. Taking
the inverted-V braced configuration as an example, this implies that
the unbalanced force acting at the midspan of the beam is down-
ward for an SCBF and upward for a BRBF; the unbalanced force
for the latter is also much smaller.

At the component level, BRB capacity design is needed to avoid
undesirable failure modes. In particular, the restraining casing,
which receives little (ideally no) axial force, should be designed to
be stiff enough that its elastic buckling strength is at least equal to
the BRB’s maximum strength (Watanabe et al. 1988). In addition,
the steel core is expected to experience higher-mode buckling and,
so deformed, exerts out-of-plane forces to the restraining casing,
possibly causing it to bulge if not properly designed (Takeuchi et al.
2010; Wu et al. 2014; Lin et al. 2012, 2016).

Although the technology for producing reliable BRBs with
excellent cyclic performance at the component level is mature,
frame-level tests that include beams, columns, BRBs, and gusset
connections have highlighted the importance of other factors that
may hinder performance if not explicitly addressed.

First, buckling of the BRB-to-gusset joints, if they are not prop-
erly designed and detailed, can cause out-of-plane buckling of the
BRBs themselves (Tsai et al. 2002; Mahin et al. 2004; Tsai et al.
2008; Chou et al. 2012; Palmer et al. 2014). It has been shown that
Thornton’s column strip method (Thornton 1991), which uses an
effective length factor of 0.6 (AISC 2012), is not conservative and
so a much larger value (2.0) has been proposed (Tsai and Hsiao
2008; Chou et al. 2012; Wei and Bruneau 2017a, b; Westeneng
et al. 2017). It has also been demonstrated that adding free-edge
stiffeners is an effective way to avoid gusset buckling (Tsai and
Hsiao 2008). Takeuchi et al. (2014, 2016) proposed a gusset

stability criterion based on bending moment transfer capacity at the
restrainer’s ends.

Second, gusset plates at the beam-to-column intersection pro-
duce shorter clear column length, which not only can cause shear
yielding in the columns (Mahin et al. 2004) but also, and more sig-
nificantly, can cause the gusset plate to buckle when the brace is in
tension because of the frame action pinching of the gusset between
the beam and the column. Two solutions have been proposed to
address this issue. The first is a mechanism to minimize the frame
action—for example, beam splicing outside the gusset region
(Fahnestock et al. 2007). Printz et al. (2008) showed through finite-
element simulation that maximum gusset stresses are significantly
reduced and that beam splices have negligible impact on drifts. The
second approach is to quantify the force demand on the gusset
plates due to frame action and design the gusset plate to meet it.
Palmer et al. (2014) showed that, when a detail like beam splicing is
not used, significant inelastic deformation demands in the beams
and columns at the gusset connection region cause buckling of
beam webs and flanges, resulting in out-of-plane BRB rotation.
Designing gusset connections based on the uniform force method
alone does not prevent damage either to the gusset plate or to the
welded joints to the beam and column. Procedures for calculating
the stresses produced by frame action have been proposed (Chou
et al. 2012; Lin et al. 2014, 2016). Zhao et al. (2012, 2016) inves-
tigated the effect of frame action on BRB in-plane stability, finding
that the frame action may cause the protrusion ends of the core to
yield prematurely and buckle in the end zones.

More contemporary research is focusing on the adequacy of
BRB end connections and gusset details to accommodate their out-
of-plane demands under bidirectional earthquake excitations. This
topic is relevant to other types of similarly connected braces in
braced frames (Khoo et al. 2016; Wei and Bruneau 2017a, b).

Special Plate Shear Walls

Capacity design issues in special plate shear walls involve better
determining demands on boundary elements. Research that has
clarified demands on beams (Purba and Bruneau 2014c) and col-
umns (Berman and Bruneau 2008b, c) has led to changes in the
2010 and 2016 AISC Seismic Provisions. In addition, a minimum
required stiffness has typically been specified for the boundary
elements, which, initially introduced to prevent undesirable column
behavior (Montgomery et al. 2001), was eventually extended to be
applicable to top beams (Dastfan and Driver 2008). Subsequent re-
search showed that this stiffness requirement serves only indirectly
to ensure that yielding of the entire web plate occurs at the expected
seismic drifts (Qu and Bruneau 2010a) given that adequate column
behavior can be achieved even when violating the stiffness require-
ment (Lee and Tsai 2008).

Forces applied by the infill plates, being tension only, have
been specified by the AISC Seismic Provisions to be equal to the
expected yield strength of the steel, but recent research has indi-
cated that compression forces may develop in some circumstances
and therefore deserve consideration (Shishkin et al. 2009; Clayton
et al 2015; Dowden and Bruneau 2014). Intertwined with this issue
is the angle of the diagonal strips used in simplified analysis models
to obtain realistic or conservative demands on beams and columns
for the design of these boundary elements. This is still the subject of
deliberations (Webster et al. 2014; Fu et al. 2017).

Although neither the original intent of nor required by the AISC
Seismic Provisions, RBS connections have been used in some in-
stances at the ends of beams to achieve smaller beam sizes. Qu and
Bruneau (2010b) showed that plastic hinging does not develop ex-
actly in the middle of the RBS in SPSWapplications; they provided
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an equation to account for the plastic hinge demand that can be
used for capacity design purposes.

Column Issues

Required Force for Capacity Design
Columns play a critical role in preventing building collapse in a
seismic event. Capacity design of steel columns in high seismic
regions was first introduced for SFRS (both moment and braced)
in the 1988 UBC, which used the response modification factor, Rw,
to compute the base shear for working stress design. The force am-
plification factor, ð3=8ÞRw, was used to amplify the column axial
force produced by the prescribed seismic forces, which effectively
meant that the seismic axial load corresponded to that produced by
37.5% of the unreduced seismic forces (i.e., Rw ¼ 1) and was in-
dependent of SRFS type (Uang 1993). The intent was to prevent
global column failure. For LRFD strength design, the 1992 AISC
Seismic Provisions rounded 37.5% to 40% and specified the fol-
lowing load combination to check for flexural buckling:

1.2PD þ 0.5PL þ 0.2PS þ 0.4RðPEÞ ≤ ϕcPn ð17Þ
For SMFs (Rw ¼ 12), the value of 4.5 for 3Rw=8 was a

very large force amplification factor when it was first introduced.
Most likely its impact on design practice at the time was the reason
that the 1988 UBC waived the requirement to account for moments
concurrently acting on columns in capacity design. With minor
modifications, this approach has continued in the AISC Seismic
Provisions, although the force amplification factor has been re-
placed by the SFRS-dependent system overstrength factor, Ω0.
Eq. (17), per 2016 ASCE 7, can thus be rewritten as follows:

ð1.2 þ 0.2SDSÞPD þ 0.5PL þ 0.2PS þ ΩoðPEÞ ≤ ϕcPn ð18Þ
This requirement applies to all SFRS columns.

Columns in moment frames are commonly subjected to modest
axial loads but high moments because a story drift up to 4% of story
height is expected. For braced frames (e.g., SCBFs, EBFs, BRBFs),
columns are subjected to high axial loads; the seismic moment is
small in the elastic range, but can increase significantly once non-
uniform inelastic drifts occur along the building height. Nonlinear
time history analysis shows that moments in braced frame columns
can be significant in a seismic event. Research is needed to evaluate
(1) if the capacity design practice of ignoring moment in checking
column strength to prevent global column failure is appropriate,
and (2) to what extent inelastic action is permitted if columns do
not have to remain elastic.

Research has shown the significant role played by continuous
seismic and gravity column stiffness to better distribute yielding
along the building height and decrease the possibility of large drift
concentrations (Tremblay and Stiemer 1994; MacRae et al. 2004).
Canadian Standard CSA-S16-14 (CSA 2014), unlike the AISC
Seismic Provisions, requires columns in a braced frame to be con-
tinuous over at least two stories. Further research is needed to es-
tablish simple rules for all SFRSs. At the extreme, reliance on rigid
walls pinned at base has been proposed and shown to be effective
in controlling the deformation pattern of the frame and hence in
avoiding weak story failure (Mar 2006; Qu et al. 2012). A steel
truss configuration using the same concept has also been proposed
to provide a so-called strongback in braced frames (Tremblay and
Poncet 2007; Lai and Mahin 2015).

Ductility Capacity and Deep Columns
Cyclic testing of steel columns prior to the 1994 Northridge earth-
quake, mostly at reduced scale, was limited (Popov et al. 1975;

Mitani et al. 1977; MacRae et al. 1990; Nakashima et al. 1990;
Schneider et al. 1993). After Northridge, a significant number of
full-scale tests of beam-column subassemblies were conducted to
evaluate moment connection performance. However, although
cyclic performance of wide-flange beams was intensively re-
searched, this was not the case for columns. Except for panel zones,
columns almost always remained elastic in these moment connec-
tion tests. Most of the tests did not apply axial compression to the
columns, partly because doing so was challenging.

Shallow columns (e.g., W12, W14) are common in braced
frames. Because they can be subjected to high axial loads, Newell
and Uang (2008) tested nine full-scale W14 columns with axial
forces up to 0.75Py and reported that they achieved story drift
capacities of 0.07–0.09 rad. These large deformation capacities
were, in part, the result of delay in flange local buckling caused by
the stabilizing effect of the stocky column web (h=tw ¼ 6.9–17.7).
However, numerical simulation of deep (W27) columns showed
that local buckling can significantly affect cyclic ductility capacity
(Newell 2008).

To achieve an economical design, deep columns are often pre-
ferred to meet code-specified story drift limits in SMF construction.
Concerns about deep columns were first reported by Chi and Uang
(2002). They tested beam-column subassemblies with RBS mo-
ment connections that used W27 columns and concluded that this
type of column is prone to twisting; once lateral-torsional buckling
of the beam occurs, the compressive beam flange force together
with its out-of-plane movement applies torsion to the column.
Chi and Uang also showed that vulnerability for twisting is highly
related to the h=t3f ratio, where h is the centerline distance between
flanges and tf is the flange thickness of the column.

Because of concerns that column bases in an SMF are expected
to form plastic hinges, and that the width-thickness ratios of the
deep sections are significantly larger, a research program (NIST
2011) was initiated that focused on the behavior and design of deep
columns for SMF design. As part of this program, deep columns
(W24 sections with h=tw ratios ranging from 28.7 to 54.6) sub-
jected to axial load and cyclic lateral drift confirmed that plastic
rotation capacities are significantly lower (Ozkula et al. 2017).
Most columns experienced in-plane plastic hinging with significant
local buckling and axial shortening. Specimens with the most com-
pact sections experienced not only in-plane hinging but also out-of-
plane lateral-torsional buckling at an axial load as low as 18% of
the yield strength of the column. This phenomenon was not pre-
viously known.

For plastic design, AISC 360 (AISC 2016c) limits the axial col-
umn compressive force to 0.75Py for columns with plastic hinges.
For seismic applications, the AISC Seismic Provisions limit the
axial compressive force to ϕcPn for capacity design; the axial force
is also limited to meet the web compactness requirement (see the
Appendix). Based on Popov et al. (1975), ASCE 41 (ASCE 2013)
limits the column axial force to 0.5Py, beyond which the ductility
capacity cannot be counted on. Significantly, the axial force in duc-
tile moment frames is restricted to 0.3Py and 0.5Py in Canadian
(CSA 2014) and New Zealand (NZS 2007) standards, respectively.
Also, the AISC Seismic Provisions provide a limiting L=ry ratio for
SMF beams but no similar limit is provided for columns. As active
research continues on deep columns (Zargar et al. 2014; Fogarty
and El-Tawil 2016; Elkady and Lignos 2015, 2016), it is expected
that its findings will impact the design and modeling of steel col-
umns in the next editions of the seismic codes.

Column Splices
PJP groove welds were commonly used for column splicing before
1994. Limited full-scale testing of large column splices showed that
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their ductility capacity is insignificant although their design
strength can be developed (Popov and Stephen 1977; Bruneau and
Mahin 1991). Nominal design strength usually could be exceeded
in testing, mainly because of the lateral restraint effect of the PJP
welds (Gagnon and Kennedy 1989). The lack of ductility in partial
penetration joints is mainly attributable to the notch-like condition
created by the unwelded portion of the joint.

Computation of the required strength for column splice design
pre-Northridge was also based on elastic analysis, where the
inflection point generally occurred close to the splice location.
Research conducted after the Northridge earthquake showed, how-
ever, that the actual force demand at the splice location in an SMF
can be significantly higher because of a shift in inflection point
once the structure deforms into the nonlinear range. (Shen et al.
2010). The 1997 AISC Seismic Provisions continued to permit
PJP welds, but specified that the required force must be doubled
when a tensile force was predicted based on the amplified seis-
mic load combination. Furthermore, a minimum required splice
strength equal to 50% of the expected column flange yield force
was specified to account for design uncertainty in predicting the
inflection point location. In 2005 the provisions began to require
expensive CJP welds for SMF column splices. Via a fracture me-
chanics approach, together with experimental verification of full-
scale column splices using modern, toughness-rated weld filler
materials and welding practice (Shaw et al. 2015; Galasso et al.
2015), this stringent requirement was relaxed in the 2016 provi-
sions, which permit PJP welds but only when meeting very specific
design requirements.

Column Bases
Although column bases play a key role in transferring seismic
forces from a structure as a whole to its foundation, research on
their seismic performance and design has been limited compared
with other connection types. According to a synthesis of relevant
seismic research (Grauvilardell et al. 2005), column base-plate
connections can be classified as exposed and embedded; the latter
can be further divided into deep and shallow. Research to date
has mainly focused on exposed connections (Astaneh et al. 1992;
Burda and Itani 1999; Fahmy et al. 1999; Myers et al. 2009; Gomez
et al. 2011; Kanvinde et al. 2012), although Cui and Nakashima
(2011) and Barnwell (2015) studied shallow-embedded connec-
tions and Rodas et al. (2017), Grilli and Kanvinde (2017), and Grilli
et al. (2017) studied deep-embedded connections. Much of this
research is ongoing, and findings are likely to affect future seismic
design provisions.

Built-Up Box Columns
Space SMFs with cold-formed HSS columns and moment connec-
tions in both directions at all columns are common in multistory
construction in Japan (Nakashima et al. 2000), whereas built-up
box columns are used for high-rise construction. In the United
States, the last few decades have seen a series of planar SMFs with
wide-flange columns used to promote strong-axis bending and pre-
vent biaxial bending. When biaxial bending is unavoidable, design
engineers use boxed wide-flange columns, flanged cruciform col-
umns, or built-up box columns. Built-up columns often require
internal continuity plates (or diaphragm plates), and it is common
to weld at least one side of each plate using electroslag welding
(ESW). Because the inside of the built-up box column is not acces-
sible after welding, significant research has been conducted in Asia,
especially in Japan and Taiwan, on vulnerability to brittle fracture
resulting from the notchlike condition created by ESW (Song
et al. 2011; Tsai et al. 2015). Testing conducted by Anderson and
Linderman (1991), Kim et al. (2008), and Uang et al. (2014b)

also revealed the same problem. Research on this topic in the
United States is very limited.

Performance-Based Design

As indicated previously, the use of R factors to design structural
systems bypasses the need to determine ductility demands; the use
of capacity design bypasses the need to assess ductility capacities.
Although it is convenient to design SFRS according to the AISC
Seismic Provisions, in some situations (e.g., exceptional applica-
tions, innovative structural systems, seismic evaluations of archaic
systems), nonlinear time-history analysis and other tools may be
needed. Performance-based design has often been used not only
for this purpose but also for qualifying a broader range of earth-
quake engineering activities. A review of research, developments,
and codification in this area is beyond the scope of this paper, but a
few words must be said about the approach specified in ASCE 41
(ASCE 2013), which most significantly uses FEMA-356 (FEMA
2000a) and is primarily employed in the seismic evaluation of
buildings.

The performance-based design presented in ASCE 41 and
FEMA-356 expresses the nonlinear behavior of various structural
systems in terms of an idealized nonlinear force-deformation rela-
tionship (or moment-rotation or other relationship relevant to the
ductile structural element considered), as shown in Fig. 5. Such
nonlinear relationships are typically the backbone curves traced on
top of experimentally obtained hysteretic curves; these backbone
curves are combined with empirical judgment to establish the per-
formance limits of immediate occupancy (IO), life safety (LS), and
collapse prevention (CP). Several empirical correction factors
account for a number of effects (such as pinching in the actual hys-
teretic curves) on the demands and capacities to be compared.

Although nonlinear analysis is becoming popular, its complex-
ity sometimes creates the impression of high reliability (in strain
demand prediction for example) that in fact may be beyond its ca-
pabilities. Earthquake engineering research on structural elements
has typically focused on the evolution of hysteretic curve shapes
and behavior in terms of drifts or rotation (or, more rarely, in terms
of strains), but research to correlate strains, drifts, or rotation limits
for steel structures can be more challenging. For example, a
tension-only braced frame, with flat-bar braces having a slender-
ness ratio, KL=r, of approximately 800 (effectively buckling
immediately in compression), exhibits the most highly pinched
hysteretic behavior. However, its backbone hysteretic curve is a
nearly ideal bilinear relationship up to strain likely exceeding 10%.
Frame ductility capacity alone does not tell one how to set IO,
LS, and CP limits. Failure modes that involve fracture introduce

Fig. 5. Generic nonlinear force-displacement relationship used in
ASCE-41 analyses
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additional complexity and uncertainty because the macro-models
typically used in earthquake engineering do not account for behav-
iors driven by fracture mechanics or dislocations in crystal struc-
tures (Kanvinde 2017).

Finally, performance-based design requirements established
for the retrofit of existing structures are sometimes less stringent
than requirements for new buildings in order to make retrofit eco-
nomical. These less stringent requirements must be identified and
assessed based on the application at hand because they may not be
appropriate for new construction. Furthermore, because nonlinear
time histories are required instead of an R factor-based design,
attention must be paid to modeling issues. These issues are beyond
the scope here, but useful guidance is available elsewhere (NIST
2010, 2017; PEER 2017; LATBSDC 2017).

Proprietary Components

A significant change in recent years has been the explicit inclusion
of proprietary connections and elements in the AISC Seismic Pro-
visions and in seismic specifications in general. The emergence of
proprietary components can be attributed in part to the Northridge
earthquake. The rapid adoption of proprietary buckling-restrained
braces, beginning in the late 1990s in the United States, was fol-
lowed by the introduction of design requirements in the 2005 AISC
Seismic Provisions. However, as far as moment-resisting connec-
tions are concerned, many more proprietary moment connections
have since found acceptance.

FEMA-350, “Recommended Seismic Design Criteria for New
Steel Moment-Frame Buildings,” published a few years after the
Northridge earthquake (FEMA 2000c), summarizes the findings
of extensive studies conducted following the earthquake and pro-
vides comprehensive design and detailing provisions for seven pre-
qualified moment-resisting connections. Six of its 224 pages are
devoted to proprietary systems (not prequalified), referring the
reader to manufacturers for information on patented connections
used in actual projects. The main characteristics of only four such
systems are described: (1) the SidePlate connection, (2) the slotted
web connection, (3) the cast-steel Kaiser bolted bracket connection,
and (4) the reduced web connection.

No prequalified connections were included in the 2005 edition
of AISC 358 (which is referenced by standard specifications and
readily accepted by building officials), but they were progressively
introduced over the next decade. The latest edition, AISC 358-16,
includes the Kaiser Bolted Bracket connection, the SidePlate con-
nection, the Simpson Strong-Tie Strong Frame connection, and the
ConXtech ConXL connection with concrete-filled square HSS or
built-up box columns. The significant integration of proprietary
systems into seismic design specifications for steel structures is
unprecedented and is likely to continue as manufacturers vie for
recognition.

Innovative Systems

This paper has so far focused on shortcomings in knowledge related
to the conventional steel structural systems used in nearly all steel
buildings designed and built in seismic regions (if only by virtue of
being referenced in codes and specifications). However, an entirely
different state-of-the-art paper could be written on innovative steel
systems for seismic applications based on much recent research.
A thorough overview cannot be provided here, but selected devel-
opments are briefly summarized, arbitrarily divided into variations
based on existing systems and variations based on alternative de-
signs. The line between the two is at times blurred.

Variations on Existing Systems

Many variations on components of existing structural systems have
been proposed to improve seismic performance. One variation per
type of structural system, drawn from North American research,
is described.

Concentrically Braced Frames
To enhance ductility, and to distill the unbalanced force to be
considered in capacity design down to the difference between the
tension and compression strengths of braces in CBFs, a specially
detailed fuse was created by locally reducing the brace cross-
sectional area. The fuse area is confined by cold-formed C shapes
and flange cover plates to prevent cross-sectional distortions during
brace buckling (Vincent 2008; Egloff and Tremblay 2012).

Eccentrically Braced Frames
To enhance EBF resilience, a bolted link was developed that can
be unbolted and replaced following earthquake damage, thereby
facilitating return to service (Mansour et al. 2011). This innovation
makes possible the use of link sizes different from beam sizes,
which facilitates capacity design of the link beam.

Buckling-Restrained Braced Frames
To provide an improved sequence of plastification in BRBs, a hy-
brid BRB was developed that replaces the regular-steel core of con-
ventional BRB designs with a so-called multicore built using both
low-yield-point and high-performance steel. When subjected to
earthquake excitations, a BRB frame benefiting from the two steel
cores acting in parallel develops lower residual drifts for greater
reliability against collapse (Atlayan and Charney 2014).

Special Plate Shear Walls
Building on the fact that a ring deforms into an oval when subjected
to tension forces in its plane, with the shortening in the compression
direction equal to the elongation in the tension direction, ring-
shaped steel-plate shear walls have been developed where the infill
plate of the wall is cut to create a pattern of interconnected rings.
Analytical and experimental studies have demonstrated that this in-
novation allows SPSWs to exhibit fuller hysteretic loops even in the
absence of rigid beam connections (Egorova et al. 2014).

Alternative Designs

A number of structural devices have been developed that rely on
triangular plates or tapered shapes to dissipate hysteretic energy.
Bruneau et al. (2011) provide examples. Triangular plates are fa-
vored because their width when bending out of plane matches the
profile of the bending diagram This results in simultaneous yielding
over the entire length of the plates that requires less inelastic strains
at large relative displacements. The outcome is particularly good
hysteretic energy dissipation (Steimer et al. 1981; Tyler 1978). Two
device configurations are noteworthy because they have been imple-
mented in a number of buildings internationally. A added damping
and stiffness (TADAS) device made of multiple parallel triangu-
lar plates, developed in the 1990s, is used (mostly in Taiwan) as
a flexural-beam damper (Tsai et al. 1993). An alternative is the
scorpion brace, in which triangular plates act as specially designed
fingers in flexure at the end of a cast-steel claw used as a brace con-
nection (Gray et al. 2014). The scorpion brace promotes symmetric
hysteretic behavior (similarly to that exhibited by BRBs but relying
on an altogether different yielding mechanism).

Considerable literature exists, going back to Housner (1963), on
the rocking response of various types of rigid or flexible structures
and structural elements during earthquake excitations. Steel frames
have been considered in many of the more contemporary analytical

© ASCE 03118002-15 J. Struct. Eng.

 J. Struct. Eng., 2018, 144(4): 03118002 



and experimental studies of rocking systems, such as Pollino and
Bruneau (2007, 2010a, b) on braced towers with energy-dissipating
devices at their base, Eatherton et al. (2014a, b) on tested pairs of
braced frames linked by energy-dissipating elements and having
posttensioned strands tying down the top of the frame, Pollino et al.
(2017) on retrofitting concentrically braced frames to prevent soft
story formation, and Gledhill et al. (2008) on tying down rocking
frames relying on Ringfeder friction springs installed at the column
bases to control frame leg uplift amplitude. In all cases, rocking
about the base of the structure is allowed to limit the maximum force
transmitted to the structure itself, akin to seismic base isolation.

As a variant on rocking systems, researchers have investigated
the seismic response of steel moment frames with beams postten-
sioned between columns and relying on the rocking action of the
beams onto the column faces. Like the previously mentioned rock-
ing systems, structural systems using posttensioned connections
have the benefit of self-centering after an earthquake excitation.
Implementation in steel frames includes various tendon configura-
tion layouts and reliance on friction, viscous, or yielding steel de-
vices to provide energy dissipation (Christopoulos et al. 2002a, b;
Garlock et al. 2005, 2007; Kim and Christopoulos 2008; Pekcan
et al. 2000; Ricles et al. 2001, 2002; Rojas et al. 2005). This con-
cept has also been used to develop self-centering steel plate shear
walls (Dowden et al. 2016; Dowden and Bruneau 2016).

Finally, although not per se a ductile behavior attributable to
the plasticity of steel, friction has been used to provide energy dis-
sipation in various structural steel systems. There are many chal-
lenges in achieving relatively stable repeatability and smoothness
of hysteretic curves generated by friction, as well as the amount
of energy dissipated for a given displacement amplitude, because
these naturally depend on many factors (Bruneau et al. 2011).
Nonetheless, a sliding hinge joint (SHJ) relying on friction was
developed by Clifton (1996, 2005) and has been implemented
in buildings in New Zealand (Gledhill et al. 2008). A proprietary
friction-braced system was tested in the 1980s (Filiatrault and
Cherry 1987, 1988; Kelly et al. 1988). Other examples include a
patented so-called pin-fuse connection proposed for use in steel
moment-resisting frames (Cordova and Hamburger 2011; Sarkisian
et al. 2011) and a self-centering energy-dissipating steel brace
(Christopoulos et al. 2008; Chou and Chen 2015).

Structures Other Than Buildings

Although the focus of this paper has been on steel buildings, the
philosophy outlined in it is similarly (but to different degrees)
embedded in seismic design provisions for other engineered steel
structures, with some adjustments dictated by special characteris-
tics and requirements. For example, for bridge bents plastic hinging
has traditionally and deliberately been allowed to develop in col-
umns rather than beams because their loads and geometry unavoid-
ably require beams to be much stiffer and stronger flexurally than
columns.

Seismic design provisions already address bridge substruc-
tures consisting of steel moment-resisting or braced bents. Even
though not included in most bridge design specifications, buckling-
restrained braces have been used in special bridge applications and
are being studied for potential implementation in bridge bents (Wei
and Bruneau 2017a). Eccentrically braced towers have been used in
the temporary support structure of the new San Francisco-Oakland
Bay Bridge (Dowdell et al. 2015). Ductile steel applications ger-
mane to bridges (such as ductile end diaphragms and cross frames)
have been developed and implemented. An overview of these de-
sign requirements and some implementations is presented in Uang
et al. (2014a).

Future Directions—Impact of the Christchurch
Earthquakes

As much as the Northridge earthquake had a defining influence
on the seismic design of steel structures, it is foreseen that the
Christchurch 2010–2011 earthquake series will have a major im-
pact on future seismic design practice although it may take more
time for this impact to be realized. The seismic performance of the
few steel buildings in Christchurch at the time of the earthquakes
generally exceeded that of many other structural systems (Bruneau
et al. 2011; Clifton et al. 2011; MacRae et al. 2015). Although not
all of these buildings were undamaged, their repairs were expedi-
ent. To some extent, and partly because of public perception, this
has affected the choice of structural systems during the reconstruc-
tion of the city. The fact that two reinforced-concrete buildings col-
lapsed during the earthquake, the years of arguments on whether
repairs of concrete buildings could bring them to an as-new con-
dition (or do so at less cost than rebuilding), and the subsequent
demolition of hundreds of nonsteel buildings—all of these contrib-
uted to the favoring of steel structures during reconstruction to an
extent never before seen in New Zealand or anywhere else follow-
ing major earthquakes.

The trend just mentioned can be qualitatively observed by any-
one perusing websites on Christchurch’s reconstruction or walking
the streets of the city’s Central Business District. It has also been
quantitatively documented that, whereas before the earthquakes al-
most all buildings in the Christchurch Central Business District and
the Addington area had reinforced-concrete frames or walls as their
lateral force-resisting systems, the floor areas of rebuilt buildings
with steel, concrete, and timber lateral force-resisting systems have
been in the ratio of approximately 79∶20∶1 because steel floors tend
to be found in the larger structures (Bruneau and MacRae 2017).
Furthermore, in rebuilt concrete buildings three-quarters of the in-
ternal gravity frames are of structural steel.

It is not the striking shift from reinforced-concrete construction
to steel construction in Christchurch that is most significant; rather,
it is that a major driver of this shift was the desire to build resilient
or low-damage structures. For this reason, reconstruction has not
only emphasized steel structures but has led to the use of existing
and innovative/emerging structural systems intended to make new
buildings (and indirectly Christchurch as a whole) more seismically
resilient. The performance of the structural systems in these new
buildings during future earthquakes will certainly be critically as-
sessed. In any case, tolerance to damage and delayed repairs is
expected to be low. It will also be interesting to see if the observed
trends persist as the earthquakes fade from collective community
memory in the years and decades to come.

The Christchurch experience is perhaps unique today, but it is
likely to repeat itself in other similarly developed cities worldwide
after future devastating earthquakes. Christchurch’s rebuilding is
thus most significant particularly because one of the city’s declared
goals is to emerge stronger, smarter and more resilient to the physi-
cal, social, and economic challenges (Christchurch City Council
2016). Bruneau and MacRae (2017) provide insight into some of
the factors that dictate structural engineering decisions during post-
earthquake reconstruction of a modern city. Christchurch as a model
will have a huge impact on the seismic design of steel structures.

Conclusions

Seismic steel structure design has evolved to a point where it
embodies comprehensive requirements both for the detailing of
designated yielding components and for capacity design protection
of a structure as a whole. However, the paths taken to arrive to this
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point leave unresolved a number of inconsistencies that have been
highlighted in the text:
• Slenderness limits for flange local buckling, web local buckling,

and lateral-torsional buckling are specified independently of
each other, although they interact in influencing the global
ultimate behavior of steel members;

• Specification of slenderness limits independent of application
type may have introduced conservatism in some structural sys-
tems; and

• Prequalification testing to expected cyclic inelastic demands is
required for some structural systems (SMF/IMF and BRBF) and
not for others; the EBF is the only system for which inelastic
deformation demands must be explicitly calculated and com-
pared with a specified deformation capacity, and the SCBF and
SPSW are the only two systems for which no specific ductility
capacity requirement is provided (either in design or by prequa-
lification testing).
The work here has highlighted design issues that remain to be

investigated, such as ductility capacity of deep, slender columns
where plastic hinging is expected at the column base, axial load

demands, and column base design to name a few. It has also
touched on innovative systems being developed to broaden the
range of solutions in the engineer’s toolbox and, in some cases,
enhance expected seismic performance to provide more resilient
designs.

It is hoped that the review presented here has (1) provided read-
ers with an appreciation of contemporary seismic design require-
ments for steel structures as they have been shaped by evolving
earthquake engineering philosophy, impacts of past earthquakes,
new research findings, and, to some degree, serendipity; and (2) in-
spired research and development to bridge the gaps in existing
knowledge and iron out some of the wrinkles identified so as
to better unify design provisions across seismic force-resisting
systems.

In the meantime, steel structures are playing a dominant role in
the reconstruction of Christchurch, New Zealand, where there is a
marked interest in low-damage and resilient systems. This interest
may drive future research to investigate rapidly reparable steel
structural systems that minimize business interruption and expedite
rapid return to service.

Appendix. Limiting Width-Thickness Ratios for SMF Rolled I-Shaped Beams and Columns

Design code Limiting bf=2tf Limiting hc=tw

1985 UBC 8.5, 7.0, 6.0 for Fy ¼ 36, 50, 65 ksi,
respectively (from plastic design)

Ca ≤ 0.30:
412ffiffiffiffiffiffi
Fy

p ð1 − 1.26CaÞ

Ca > 0.30:
257ffiffiffiffiffiffi
Fy

p
1988 UBC; 1990, 1992, 1997a

AISC Seismic Provisions (λp)
52

� ffiffiffiffiffiffi
Fy

p
Ca ≤ 0.125:

520ffiffiffiffiffiffi
Fy

p ð1 − 1.54CaÞ

Ca > 0.125:
191ffiffiffiffiffiffi
Fy

p ð2.33 − CaÞ ≥ 253ffiffiffiffiffiffi
Fy

p
2002, 2005 AISC Seismic
Provisions (λps)

0.30
ffiffiffiffiffiffiffiffiffiffiffi
E=Fy

p
Beam web: 2.45

ffiffiffiffiffiffiffiffiffiffiffi
E=Fy

p
Column web:
Ca ≤ 0.125: 3.14

ffiffiffiffiffiffiffiffiffiffiffi
E=Fy

p ð1 − 1.54CaÞ
Ca > 0.125b: 1.12

ffiffiffiffiffiffiffiffiffiffiffi
E=Fy

p ð2.33 − CaÞ ≥ 1.49
ffiffiffiffiffiffiffiffiffiffiffi
E=Fy

p
2010 Seismic Provisions (λhd) 0.30

ffiffiffiffiffiffiffiffiffiffiffi
E=Fy

p
Beam and column webs:
Ca ≤ 0.125: 2.45

ffiffiffiffiffiffiffiffiffiffiffi
E=Fy

p ð1 − 0.93CaÞ
Ca > 0.125: 0.77

ffiffiffiffiffiffiffiffiffiffiffi
E=Fy

p ð2.93 − CaÞ ≥ 1.49
ffiffiffiffiffiffiffiffiffiffiffi
E=Fy

p
2016 Seismic Provisions (λhd) 0.32

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
E=ðRyFyÞ

p
Ca ≤ 0.114: 2.57

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
E=ðRyFyÞ

p ð1 − 1.04CaÞ
Ca > 0.114: 0.88

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
E=ðRyFyÞ

p ð2.68 − CaÞ ≥ 1.57
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
E=ðRyFyÞ

p
aThe limiting hc=tw ratio is relaxed to λp in LRFD Specification Table B5.1 if the SCWB ratio is larger than 1.25; the SCWB ratio is increased to 2.0 in
Supplement No. 2 (AISC 2000) and subsequent editions of the AISC Seismic Provisions.
bThe lower limit (1.49

ffiffiffiffiffiffiffiffiffiffiffi
E=Fy

p
) was dropped from the 2002 edition.
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